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Abstract: The seismic capacity of wind turbine support towers is of significant concern as wind power provides an increasing proportion of the world’s electricity supply. This study presents a computational study on the seismic performance of steel-concrete hybrid towers (SCHTs). The equations that govern the tower free vibration responses are derived based on Euler-Bernoulli beam theory. The modal results are used in the response spectrum analysis to evaluate the higher-mode effects in the SCHTs. Then, a cantilever beam model capable of capturing the joint opening and closing was developed for structural analyses and calibrated against finite element models. Finally, dynamic time history analyses were conducted for different SCHTs under far-field (FF) and near-fault (NF) earthquakes. These analyses showed that the second mode of SCHTs is more significant for the shear force diagram. Dynamic amplification causes the mean peak base moment from the FF set and NF set to be 1.30–1.45 and 1.37–1.57, respectively, greater than the design spectrum using the same 5% damping. 
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1 Introduction
Onshore and offshore wind power are becoming important sources to accelerate the global energy transition [1][2]. For land-based wind farms, wind turbine generator systems are supported at locations high above ground level where energetic wind energy resources are available [3]. The determining condition for the support structures in the design is to safely withstand different levels of wind excitations during the planned lifetime. However, the increasing demands of wind energy have led to the installation of wind turbines in earthquake-prone regions. It is therefore important to understand the seismic responses of these support structures to ensure that they will not be severely overloaded during a strong earthquake [4].
Tubular steel towers (TSTs) are the most widely used supporting towers for wind turbines [5]. Extensive research has been carried out to assess the capacity of TSTs when subjected to dynamic seismic loading [6][7]. Early work [8]-[10] focused on small utility scale turbines (e.g., rated power ≤ 1 MW and hub height < 45 m) and suggested that seismic loads were considered to be of secondary importance compared with wind loads. As the rated turbine powers are increased to improve the competitiveness of wind energy [11]-[13], the seismic risks to wind turbine towers are aggravated by heavier turbines and taller hub heights. A summary of recent literature regarding tower seismic responses found that: (a) TSTs are prone to sudden collapse [14][15] and exhibit different failure modes [16]-[18] when they are loaded beyond their elastic limits; (b) the overturning moment of TSTs induced by near-fault ground motion can exceed the values obtained from the code provision [19] and may also be larger than that induced by extreme wind loading [20]; (c) the seismic behaviours of TSTs are influenced by the aerodynamic damping generated from operational wind turbines, which causes the combined action of the seismic and aerodynamic loads to be smaller than a linear combination of both [21]-[23].
With increasing rated powers and hub heights, steel-concrete hybrid towers (SCHTs) have recently emerged as an alternative to TSTs for supporting wind turbines. The concrete portion of an SCHT is composed of precast concrete segments, which are assembled vertically by posttensioning (PT) tendons [24]-[27]. The advantage of the hybrid design over pure tubular steel is that it has lower sensitivity to steel-price volatility, enhanced resisting capacity and versatility in terms of production and transportation. According to the authors’ knowledge, the seismic responses of such structures were initially examined by Chen et al. [28]. In their analyses, a refined finite element model (FEM) was created to simulate a 120-m height SCHT. Three suites of 3 earthquake ground motions are used to represent three different ground types specified in the Chinese code. The results indicated that the response spectrum method typically underestimated tower seismic forces. 
The purpose of this study is to examine the relative influence of the higher modes on the tower seismic responses, to develop a simple way to estimate seismic design forces in the SCHTs, and to investigate the influence of tower key parameters on the seismic behaviour. Firstly, a set of equations was derived to rapidly compute the natural frequencies and mode shapes. The free vibration results can be combined with the response spectrum analysis (RSA) to quantify the higher-mode effects in the SCHTs. A cantilever beam model was then created in OpenSees to evaluate the nonlinear responses of SCHTs. A group of discrete springs are used to capture the joint opening and closing behaviour between the concrete segments. Finally, a computational investigation of twelve SCHTs that are subjected to near-fault and far-field earthquakes is conducted, and the structural responses, such as lateral displacement, absolute acceleration, base shear and base moment, are analysed.
Tower geometric design
An SCHT consists of an upper part that is constructed of tubular steel and a lower part that is constructed with prestressed hollow concrete, as shown in Fig. 1. An adapter ring is designed to fit between these elements to transfer the forces from the steel part to the concrete part. The cross sections of the concrete parts in different SCHTs may vary from round to polygonal to provide ease in precasting. Vertical steel tendons are symmetrically placed inside the concrete part, which are anchored in the footings and adapter ring. In contrast to ‘classic’ monolithic construction, the concrete part consists of discrete precast segments that are clamped together by PT tendons. Due to the initial PT forces applied to the tendons, the concrete segments are compressed to counteract the tensile stresses that result from bending moments.



Fig. 1 Schematic representation of a steel-concrete hybrid tower

In addition to the low material costs, the advantage of the concrete part is that it avoids the transport constraints that restrict the diameter of the sectional tower. The concrete segments can be precast in a factory with transportable sizes and are then transported to the construction site by truck. During assembly, each level of the concrete tower is lifted into the designed position and placed on grout to ensure that the mating surfaces are parallel. Installation of the steel part can begin after the PT force for the concrete part has been applied. Note that PT tendons are the only continuous reinforcements between the concrete segments.
The tower height is important for electricity generation since wind resources increase with height above the ground. SCHTs with heights of 140 and 160 m were analysed based on the current heights of wind turbines installed in China. The tower was assumed to support a three-bladed horizontal-axis wind turbine. A higher-rated power for the wind turbine results in a heavier mass at the top of the tower. For each tower height, turbine weights of 190 and 280 tons are used to represent nameplate capacities of 3 MW and 5 MW, respectively. Furthermore, the lengths of the concrete part were varied by 50% and 80% of the tower height to investigate the influences of different hybrid designs on the tower seismic responses. A length ratio smaller than 0.5 was not included to ensure that the steel tower diameter stayed within the 4.3 m limit dictated by the overpass heights of highways and railways.
All of the geometric tower parameters were determined by the previous method [27]. No details of the wind turbine are available; thus, the effect of the wind turbine was considered in the design by using a lumped mass approach. Three types of loads are considered in the design: (1) gravity loads; (2) turbine loads caused by the operation of the blades (i.e., mainly horizontal forces Ftop and bending moments Mtop acting on the top of the tower) and (3) wind pressure applied along the tower. The maximum turbine loads in the ultimate limit state (ULS) and fatigue limit state (FLS) were provided by the manufacturers, as shown in Table 1. The direct wind pressure on the tower P(x) is proportional to the wind velocity profile v(x) and can be calculated as 0.5Cdρv(x)2, in which Cd is the tower drag coefficient and ρ is the air density with a typical value of 1.225 kg/m3.
C60 and C80 concrete grades are used for the concrete part of SCHTs that support 3-MW and 5-MW turbines, respectively. The concrete density is taken as 2500 kg/m3. The moduli of elasticity of C60 and C80 concrete are 39000 MPa and 42000 MPa, respectively. The nominal compressive strengths of C60 and C80 concrete are 60 MPa and 80 MPa, respectively. The yield strength of the PT tendons was assumed to be 90% of the ultimate strength (e.g., 0.9×1860 MPa), and the modulus of elasticity was assumed to be 195000 MPa. The steel part of SCHTs has a yield stress of 345 MPa and modulus of elasticity of 206000 MPa, which correspond to a Q345 steel grade. The steel density is taken as 8500 kg/m3 to account for the paint, flanges, welds and bolts of the steel tower.
Table 1. Horizontal forces and bending moments applied at the tower top
	
	FLS
	ULS

	
	Ftop,f/N
	Mtop,f/ N∙mm
	Ftop,u/N
	Mtop,u/ N∙mm

	3MW
	1.2×105
	1.2×109
	0.8×106
	1.1×1010

	5MW
	2.1×105
	2.6×109
	1.2×106
	1.6×1010



The tower heights, turbine weights and length ratios are changed to create a total of six different cases. The corresponding geometric parameters are listed in Table 2. Both the concrete and steel sections are assumed to have circular shapes. The diameter of each part of the tapering tower varied linearly from the bottom to top. The length of the adapter ring was fixed at 2 m. The naming convention for each case used the tower height (e.g., H120 m), which was followed by the turbine weight (e.g., W250t) and was followed by the ratio of the concrete length to the total tower height (e.g., LR0.8). In the table, rcb denotes the radius of the concrete base, tc denotes the concrete thickness, rct denotes the concrete top radius, rsb denotes the steel bottom radius, tsb denotes the steel bottom thickness, rst denotes the steel top radius, tst denotes the steel bottom thickness, lc denotes the length of the concrete part, and Fpt0 denotes the total initial PT force.
Table 2. Descriptions of tower geometric parameters
	No.
	Case name
	rcb/m
	tc/mm
	rct/m
	rsb/m
	tsb/mm
	rst/m
	tst/mm
	lc/m
	Fpt0/MN

	1
	H140m-W190t-LR0.8
	4.61
	200
	2.44
	2.08
	15.7
	1.65
	11.1
	112.0
	42.2

	2
	H140m-W280t-LR0.8
	4.89
	200
	2.50
	2.11
	22.0
	1.70
	13.2
	112.0
	50.0

	3
	H160m-W190t-LR0.8
	5.00
	200
	2.48
	1.98
	16.3
	1.71
	11.1
	128.0
	42.2

	4
	H160m-W280t-LR0.8
	4.97
	210
	2.59
	2.15
	24.8
	1.70
	12.3
	128.0
	55.1

	5
	H140m-W190t-LR0.5
	3.84
	268
	2.57
	2.15
	26.4
	1.67
	10.6
	70.0
	58.3

	6
	H160m-W190t-LR0.5
	4.02
	291
	2.60
	2.15
	30.1
	1.69
	10.8
	80.0
	64.0


Theoretical predictions of tower seismic responses
The concrete part of SCHTs has considerable self-weight and limited energy dissipation upon uplift. These factors have a negative influence on the seismic resistance of the towers. Although the first modal period of the tall tower corresponds to the low intensity part of the acceleration spectrum, higher-mode effects may be significant for the tower. A cantilever-type structural configuration typically has multiple lateral deformation distributions that satisfy its boundary conditions [29]-[31]. The effects of different vibration modes on the elastic response of the tower are evaluated in this section.
Modal equations for non-uniform cantilever beam
An SCHT can be regarded as a slender, cantilevered beam with a heavy mass (wind turbine) concentrated at its free end. The lateral responses of such a configuration are typically dominated by flexural-type deformations. Hence, the free vibration behaviour of the SCHT is derived using a linear elastic Euler-Bernoulli beam with nonuniform mass m(x) and flexural stiffness E(x)I(x), as shown in Fig. 2. To analyze the beam by a matrix method, the actual beam system is replaced by a discrete beam system. The points designated by 1, 2..., n are considered to be ideal spiral springs with finite mass. The spaces between any two adjacent springs are connected by massless links. For the i-th point, the spring stiffness is ki, the spring mass is mi and the transversal displacement is 𝜙i. The distance between points i and i + 1 is ai.


Fig. 2 Discrete model of a cantilever beam


Fig. 3 Schematic diagram of the ith spring


Fig. 4 Shape of design response spectrum

When the discrete points are distributed densely and uniformly along the beam length, the mass and flexural stiffness of the ith spring can be calculated as

	  			

	  			
where mtop is the lumped mass at the free end of the discrete system. If the flexural deformations are relatively small and gravitational forces are negligible, the bending moment τi can be calculated by using the flexural rotation 𝜃i in each spring,

	  			
Based on the equilibrium of forces in the free-body diagram of the ith spring shown in Fig. 3, the transverse force Fi acting on each spring is equal to

	  			
By using the compatibility of deformations shown in Fig. 2, the relationship between the flexural rotation 𝜃i and transversal displacement 𝜙i is given by

	  			
By combining linear equations Eq. (3) and Eq. (2), the beam vibration can be expressed in matrix form as:

	  			
where the 'Laplacian' matrices L1 and L2 are,

	  			

	  			
By separation of variables using 𝜙 ∝ e-i𝜔t, the beam vibration is expressed as

	  			
The natural frequencies and modal shapes of the discrete beam shown in Fig. 2 are obtained by solving for the eigenvalues of the equation.
Response spectrum analysis
The response spectrum [32] is a plot of the peak response of the linear single degree-of-freedom (SDOF) system as a function of the natural period of the system. The peak seismic responses are typically estimated by referring to the elastic acceleration spectra provided in building codes. The spatial distribution of the seismic forces depends on the modal properties. For the multiple degree-of-freedom (MDOF) system that is plotted in Fig. 2, the responses can be represented as the combination of a set of independent SDOF modal responses. Using the mode shapes and natural frequencies computed from Eq. (9), the contribution of mode n to the seismic force at point i is derived as

	  			
where An is the spectral acceleration value at modal period Tn. The modal participation factor Γn is calculated as

	  			
The ASCE 7-16 design spectrum [33] shown in Fig. 4 is adopted to determine the parameter An in the RSA. The SCHTs are assumed to be located in site class D, where the values of parameters SDS SD1 and TL are 1.0 g, 0.68 g and 8 s, respectively. The elastic responses calculated from different modes are combined to obtain the total elastic response, which is then reduced by a response modification coefficient R to compute the design forces. The R value of wind turbine towers is not directly given in this building code. A value of R=2, which was previously assigned for an inverted pendulum type structure, is adopted for wind turbine support towers due to their similar structural configuration. The design shear and moment at the tower base are computed as follows using the square-root-of-sum-squares combination rule.

	  			

	  			
where Vbn and Mbn are the base shear and moment of mode n, respectively. Ie is the importance factor. SF is the scaling factor required to ensure that the modal base shear Vb is not less than 100% of the calculated base shear using the equivalent lateral force procedure [33]. The forces Vbn and Mbn are given by the sum of all the lateral forces, that is,

	  			

	  			
The modal contribution factor is a measure of the modal contribution to the total response, which is dimensionless and independent of how the modes are normalized. The modal contribution factors for the forces Vbn and Mbn are defined as

	  			

	  			
Modal contributions to the seismic response
Table 3 compares the first four natural vibration properties of different SCHTs. The first modal frequencies are designed in the range of 0.22Hz–0.32Hz to avoid any risk of resonance with turbine operational frequencies. For the parameter Γn as the tower case varies, the absolute values of the second mode are 8.4%–55.3% smaller than those in the first mode, while the parameter An of the second mode increases by 267.0%–329.2% relative to the first mode, and the higher modes have relatively small change in the parameters Γn and An. Fig. 5 shows that the displaced shape in each mode is not greatly affected by altering the tower height and turbine weight. Furthermore, the modal shapes vary significantly as the length ratio is reduced from 0.8 to 0.5.
Table 3 First four natural vibration properties of the studied SCHTs.
	No.
	Case name
	Natural vibration properties
	Mode 1
	Mode 2
	Mode 3
	Mode 4

	1
	H140m-W190t-LR0.8
	f/Hz
	0.31
	1.26
	3.23
	7.06

	
	
	Γn
	-1.50
	-0.67
	0.72
	-0.61

	
	
	An/g
	0.22
	0.86
	1.00
	1.00

	2
	H140m-W280t-LR0.8
	f/Hz
	0.31
	1.34
	3.53
	7.65

	
	
	Γn
	-1.39
	-0.69
	0.71
	-0.60

	
	
	An/g
	0.21
	0.91
	1.00
	0.98

	3
	H160m-W190t-LR0.8
	f/Hz
	0.27
	1.02
	2.59
	5.71

	
	
	Γn
	1.56
	0.75
	-0.78
	0.66

	
	
	An/g
	0.19
	0.69
	1.00
	1.00

	4
	H160m-W280t-LR0.8
	f/Hz
	0.26
	1.07
	2.79
	6.02

	
	
	Γn
	1.45
	0.66
	0.71
	0.62

	
	
	An/g
	0.18
	0.73
	1.00
	1.00

	5
	H140m-W190t-LR0.5
	f/Hz
	0.25
	1.09
	3.37
	6.21

	
	
	Γn
	1.31
	-1.20
	-1.17
	-0.94

	
	
	An/g
	0.17
	0.74
	1.00
	1.00

	6
	H160m-W190t-LR0.5
	f/Hz
	0.22
	0.88
	2.63
	4.91

	
	
	Γn
	-1.37
	1.21
	1.18
	0.96

	
	
	An/g
	0.15
	0.60
	1.00
	1.00





Fig. 5 Properties of the first four modes of SCHTs

Fig. 6 compares the response contributions of the first five vibration modes to the base shear and base moment. It shows that the first and second modes are relatively more significant for the base shear and base moment, and the relative contribution is not greatly affected by the variations in tower heights and turbine weights compared to the concrete/steel length ratio. For W190t-LR0.8 and W280t-LR0.8, the second mode contributes more than the first mode to the base shear, and as the concrete/steel length ratio is reduced to 0.5, the second mode dominates the base shear even more. For H140 m-W190t-LR0.5 and H160 m-W190t-LR0.5, the second mode contributes 49% and 44% of the base shear and 54% and 52% of the base moment, respectively.


Fig. 6 Comparison of the mode contribution factor

To better illustrate the above-noted variations in the modal responses, Fig. 7 displays the distributions along the tower height of the shear force and bending moment in different modes. Due to the existence of the concentrated mass, the sectional forces at the top of the tower are relatively large for the first two modes. For the first mode, the sectional forces are significantly affected by the concrete/steel length ratio compared to those for the tower heights and turbine weights. The shear forces in the first mode are all positive and therefore generate a continuous increase in the bending moment diagram. For the second mode, the point of zero shear remained nearly constant, and the shear forces clearly varied at the two tower ends. The resulting bending moment decreases because the shear force diagram includes both positive and negative zones. For this reason, most studied cases tend to produce the base moment mainly in its first mode. Similarly, the shear and moment responses decrease in modes higher than the second mode, especially in the bending moment diagram.


(a) shear force


(b) bending moment
Fig. 7 Profile of the first four modal responses along the height of the tower

The base shear and base moment are the dominant parameters for the design of wind turbine towers and foundations. Fig. 8 shows the variations in peak base shear and peak base moment computed from the RSA. The force demands induced by wind loading in the ULS are also placed here for comparison. The base shear from the RSA is approximately 123%–162% of that from wind loading in the ULS, but the base moment from the former is 34%–47% lower than that computed from the latter. The inertial forces resulting from the RSA are mainly proportional to the mass distribution, and therefore, most of them act on the lower parts of the tower. In contrast, wind turbine loading would be very effective in producing the base moment response due to its vertical distance to the tower base.


 
Fig. 8 Comparison of the response spectrum analyses with wind loading in the ULS: (a) base shear and (b) base moment

Tower modelling and verification
When modelling SCHTs numerically, most studies have employed solid elements or shell elements in the FEM for investigations of structural behaviour [28]. Although the FEM captures the inelastic response of SCHTs well, it was not preferred by practising structural engineers because (1) FEM has very high computational demands and require specialized knowledge when structural nonlinearity is included and (2) FEM produces stresses and strains, which must be integrated to obtain the internal forces required for structural design.
The nonlinear behaviour of the concrete tower mainly arises from the geometric nonlinearity caused by the opening of the interface joints between segments, as shown in Fig. 9. The contribution of the joint opening and closing to the nonlinear behaviour consists of less damage and residual deformation of the concrete segments compared to conventional monolithic construction. Hence, the rocking interfaces should be modelled when subjected to earthquake excitations. In this section, a discrete spring model was developed for the SCHTs to predict their behaviours, which was especially useful for parametric analyses because it has negligible computational costs.


Fig. 9 Conceptual drawings showing lateral deformation of the concrete tower.

A series of one-dimensional springs are used along the concrete segment-to-segment joints to allow for the gap-opening mechanism. The simplified model can be conveniently implemented and run on the existing commercial software and is therefore recommended for the preliminary design stage to capture the nonlinear pushover and time-history responses of SCHTs.
Cantilever beam model with explicit gaps
The modelling strategy shown in Figs. 10–11 consists of several types of elements. Different materials are assigned to these elements to model the expected behaviour of the concrete segment-to-segment rocking interface. The finite width at the ends of each concrete segment is represented using a number of rigid elements, while the tower behaviour is modelled using beam elements placed at the tower centroid. The tendons were modelled using truss elements with Steel02 material. One end of the tendon is coupled to the top surface of the adapter, and the other is coupled to the fixed node in the foundation. The rocking behaviour along the joint is modelled using a series of zeroLength elements along the circumference direction, which are defined by two parallel materials consisting of elastic-perfectly plastic gap and elastic-no-tension materials. The former is used to impose compression due to the initial prestressing of the joints, and the latter is used to represent the compression-only behaviour between the joints. The elastic-no-tension material is assigned a very large stiffness in compression and relatively small stiffness in tension. Throughout the preliminary analysis, using a compression stiffness equal to the axial stiffness of the concrete segment provided a stable response for the SCHTs.
The proposed model assumes that the rocking end of concrete segments is rigid, which thus neglects the deformability of the rocking interface near the contact area. This assumption provides results that are very close to the response of rocking members without prestressing, in which the contact region moves through the cross section towards the edge of the joints. However, the interaction between rocking and deformability becomes more pronounced after the initial prestressing force is imposed on the structure. The inability to produce gradual shifts of the neutral axis can exaggerate the bending moments in the flexible rocking interface. It was found through numerous analyses using rigid interfaces that the use of a stiffness of 0.7 times the bending moment can produce results similar to those of flexible interfaces. Hence, this simplified modelling is suitable for evaluating the tower responses at the preliminary design stage. 


Fig. 10 Modelling details of the rocking interface.


Fig. 11 Beam models of the steel-concrete hybrid tower

The nonuniform distributions of the stiffness and mass along the tower height are considered by varying the lumped masses mi, beam-column elements of flexural stiffness EIi and axial stiffness EAi. It is assumed that shear keys have been placed in the interface joints to prevent slipping, so the rigid links can be coupled in the horizontal direction to transfer the horizontal forces. The concrete segments and adapter ring are assigned elastic material because inelastic deformation is lumped in the interface joints. The steel part is defined by the Steel02 material to allow for inelastic behaviour. However, since this material has the inability to simulate cyclic local buckling–induced softening during a nonlinear analysis, the axial-flexural interaction of hollow structural sections was defined by the following equations in accordance with the AISC 360-16 standard [34]:

	 	

	 	
where Pc=0.9Pn and Mc =0.9Mn. Pr and Mr are the required axial strength and flexural strength, respectively. Pn and Mn are the nominal compressive strength and flexural strength, respectively. It was found that the internal forces of all steel sections comply with these equations under the earthquake excitation shown in Fig. 14.

Comparison with 3D finite element models
To evaluate the effectiveness of the simplified modelling approach in predicting the SCHT response, both the FEMs and the proposed model were employed to simulate the lateral response of the towers. For each SCHT, the concrete part was assumed to have eight horizontal joints between segments. Abaqus was used to perform the finite element analysis of SCHTs, and the modelling strategy was developed based on the current literature [27].
Three different tower cases were investigated by using a lateral pushover procedure: (a) freestanding case without tendons, (b) tendon-restrained case with zero prestressing and (c) tendon-restrained case with initial prestressing. The maximum top drift was taken as 2% because it was found that the studied towers would not be excited beyond 2% drift under the designed earthquake excitations. The predicted load-drift responses that were produced using the beam model were verified against different FEMs, but for the sake of brevity, only H160 m-W190t-LR0.8 is shown in Fig. 12. The corresponding deformed shape of the SCHT at 2% drift is shown in Fig. 13. The beam models can capture the varying initial stiffness, gap-opening strength and post-elastic stiffness values of the solid models with reasonable accuracy.
The first case was carried out with only the tower gravitational forces and without the PT tendons. The tower initially behaves like a linear elastic cantilever structure because all of the interface joints remained intact. The linear behaviour continued until the interface joints opened. While increasing the lateral load, most of the concrete tower deformation is concentrated at the topmost interface joints, which results in marginal ductility and negative stiffness of the tower. The other two cases were analysed by restraining the concrete towers with vertical tendons. During the initial loading, the overall load-displacement relationship for the second case resembles that of the first case. Loading beyond uplifting resulted in positive lateral stiffness due to the contribution of the axial stiffness of the elastic tendons. The separations were mainly concentrated in the third interface joint between the second and third segments. In the presence of the initial prestressing, the lateral resistance of the third case prior to uplifting significantly increased. With continued loading, the openings of the interface joints were distributed at different heights along the concrete tower. This trend tends to cause a gradual softening of the load-displacement responses.




Fig. 12 Comparison between the Abaqus and OpenSees models: (a) no tendons; (b) zero prestressing tendons and (c) design prestressing tendons

[image: D:\abaqus2019\temp\123.png]
(a) no tendons
[image: D:\abaqus2019\temp\123.png]
(b) zero prestressing tendons
[image: D:\abaqus2019\temp\123.png]
(c) design prestressing tendons
Fig. 13 Contour plot of the deformed model at the maximum loading state (mm)

Dynamic time history analyses
All the SCHTs were analyzed under uni-directional ground motion excitations to investigate the nonlinear behaviours of SCHTs. Four response parameters were examined: the peak base shear Vpb, peak base moment Mpb, peak horizontal displacement dph, and peak absolute acceleration apa. The former two were essential for a capacity design approach of towers and foundations and were used to evaluate the sensitivity of the tower force demand to varying key design variables. The peak absolute acceleration apa (in units of gravity) mainly affects the tower functions and were selected to assess the extent of damage in the nonstructural elements. The peak horizontal displacement dph provides insight into the amount of damage that will be induced due to an earthquake. Excessive displacement at the top of the tower may lead to a collision between the long blades and face of the tower. This limiting state can be considered to be exceeded when the top displacement is greater than 1.25% of the tower height based on a previous study [35]. For each ground motion, the maximum values of the dph and apa obtained along the tower height were used in the calculations.
Selected ground motions
The tower models were subjected to two sets of earthquake ground motions: one to represent the far-field (FF) records and a second to represent the near-fault (NF) records. The FF set includes 20 horizontal ground motions that were developed as part of the SAC project [36]. The NF set contains 14 component pairs of horizontal ground motions (i.e., total of 28 records) that are specified in FEMA P695 [37]. The two ensembles are scaled to be representative of the 10% 50-year hazard level for the site and correspond to design-based earthquakes. Fig. 14 shows that the average spectra of the two earthquake sets are very close to the design spectrum.


			
Fig. 14 Acceleration response spectra of scaled ground motions and target spectra with 5% viscous damping: (a) FF set and (b) NF set
Rayleigh damping is applied in the modelling by assigning damping at the first and third modes. For a base-fixed SCHT with an operating turbine, the total damping of the SCHT consists mainly of the inherent structural damping and aerodynamic damping resulting from the rotating blades. There is currently no consensus at the level of damping to be used in nonlinear dynamic analyses of SCHTs. Based on a previous study [38], the aerodynamic damping for a 1.5-MW turbine is estimated to be between 3.7% and 5.4% in the fore-aft direction and between ∼0.0% and 0.3% in the side-to-side direction. Hence, the dynamic responses of SCHTs are investigated in the following sections with total damping of 0.65% and 5% to account for the impacts of varying aerodynamic damping levels in the fore-aft and side-to-side directions, respectively. 0.65% is the structural damping of the tower specified in IEC 61400-6 [39]. 5% is adopted to include the benefits of the aerodynamic damping generated from the rotating blades, and is consistent with the 5%-damped design spectrum in the RSA. 
Results and discussion
In order to illustrate the dynamic response of the FEM and the simplified model, time-history analyses under the FF-01 ground motion, which has a PGA of 0.37g and was recorded from 1940 El Centro earthquake are presented. Fig. 15(a) shows the FF-01 ground motion record. Fig. 15(b)–(e) compare the tower top displacement, top acceleration, base shear and base moment of the FEM with those of the simplified model. The same 5% damping value was assigned to two type of analytical models. The computing time of the simplified model and FEM are about 2.1 minutes and 9 hours, respectively. In other words, the FEM, takes over 257 times the computation time for the same tower and ground motion. Although the time- histories show some differences between the two models, both models give similar results in terms of peak tower responses (average error of 8%). The comparisons validate the effectiveness of the simplified model in capturing tower dynamic behaviours.


(a) ground motion acceleration



			(b) tower top displcament					(c) tower top acceleration



			(d) tower base shear						(e) tower base moment
Fig. 15 Comparison of the analytical results of H160 m-W190t-LR0.8 with the FEM

Fig. 16 shows the distribution of the mean values of the parameter dph along the tower height for two earthquake sets. The results obtained from the RSA are also given here for reference. It can be seen that the values of dph in the RSA are significantly smaller than those in the time-history analyses. For the 5%-damped SCHTs, the parameter dph at the base due to the FF set is increased by 25.7%–68.3% in comparison with the RSA, while the NF set causes the parameter dph to increase by 53.3%–116.7%. For the 0.65%-damped SCHTs, the top drifts of six SCHTs are in the range of 0.62% to 0.77% when subjected to the NF set, and increase by 15.9% to 24.7% in contrast to the FF records. Furthermore, the top drifts of six SCHTs under the FF set and NF set reduce by 20.0%–22.7% and 16.7%–19.7%, respectively, as the total damping is increased from 0.65% to 5%. The maximum displacements of all of SCHTs are smaller than the 1.25% drift limit, which indicated that limiting the structu ral deformations is typically not required for SCHTs when subjected to seismic excitations. 

 
Fig. 16 Comparison of peak displacement demands from modal and time history analyses

The mean apa distributions along the height of the tower under two sets of ground motions are shown in Fig. 17. The apa response for the FF set presents similar patterns to those for the NF set, which is found to have a strong dependence on the tower mass distribution. The largest value of apa occurs at the steel sections where the sectional mass is smaller than concrete sections. This implies that the steel tower parts may suffer greater damage to acceleration-sensitive equipment than the other tower parts. For different 0.65%-damped SCHTs, the parameter apa is in the range of 0.66 g to 1.03 g and 0.65 g to 1.04 g when respectively subjected to the FF set and NF set. Correspondingly, that of the 5%-damped SCHTs is in the range of 0.46 g to 0.75 g and 0.49 g to 0.85 g. These values imply that the level of the damping has a big influence on the tower acceleration and should be considered in protective measures for wind turbines [40].


Fig. 17 Comparison of peak absolute acceleration demands using two sets of ground motions

Fig. 18 compares the mean variations in the base shear and base moment that are caused by the FF set and NF set. The results presented in Fig. 8 are also given here for reference. The comparisons show that the shear demand and moment demand induced by two sets of ground motions are much larger than those corresponding to wind loading in the ULS, which means that seismic loads can dominate the design of SCHTs near earthquake sources. For all the SCHTs, the parameter Vpb reduces by 24.9%–29.2% for the FF set and by 22.0%–28.7% for the NF set when increasing damping ratio from 0.65% to 5%. Similarly, the parameter Mpb reduces by 22.2%–27.5% for the FF set and by 18.7%–25.4% for the NF set, respectively. Overall, the effect of tower total damping is obvious and more realistic damping estimates are required to better evaluate the seismic performance of SCHTs.
It is also evident that the RSA greatly underestimates the seismic force demands. A dynamic amplification factor is used to measure the relative force demands between response history analysis and RSA using the same 5% damping, which is defined as the ratio of the maximum base force during earthquake loading to the code-design base force. From the FF set, the dynamic amplification factors for Vpb and Mpb are in the ranges of 2.27–2.45 and 1.30–1.45, respectively. Correspondingly, those of the NF set are 2.25–2.47 and 1.37–1.57, respectively. The differences between the RSA and time-history analysis are similar to those of earlier analytical studies for other cantilever-type configurations, such as concrete shear walls [41]-[43]. 
The underestimation of the force demands may be attributable to two effects: (1) the value of R=2 used to reduce the elastic responses computed from the RSA and (2) the varying overstrength of different concrete segment-to-segment joints arising from the tower design. It is further illustrated by analyzing the distribution of the shear demand along the tower height, as shown in Fig. 19. Most of the shears obtained using time-history analyses present similar patterns to those in the RSA using R=1, excepting that higher shear forces are observed near the tower base, most likely because of allowing towers to uplift along the concrete joints during the time-history analyses. 
As vertical steel tendons are stressed between the footings and adapter ring, the same initial prestressing force is applied at different concrete segments. Under the effect of the seismic actions, the vertical distribution of the applied moment is similar with an inverted triangle along the tower height. The decompression moment capacity at the lower levels is prone to be exceeded by the applied moment, which further results in concentration of the tower response at those locations. In comparison, the elastic model in the RSA is not able to capture the nonlinear behaviour due to the tower uplift and thus tends to underestimate the shears at locations where the gap-opening is more pronounced. Taking H160m-W190t-LR0.8 as an example, the peak values of the gap-opening at the base are 296% and 258% greater than those at the top on average when subjected to the FF set and NF set. 



Fig. 18 Peak time-history dynamic analysis results obtained from the OpenSees model: (a) base shear and (b) base moment.


Fig. 19 Comparison of peak shear demands from modal and time history analyses

Conclusion
In this article, response spectrum analysis (RSA) and dynamic time-history analysis are conducted to assess the seismic behaviours of steel-concrete hybrid towers (SCHTs). The main findings of the study can be summarized as follows:
(1) By using the analogy of a tapering cantilever flexural beam, theoretical expressions were derived to estimate the modal shear forces and bending moments using only the component weights, structural geometries and acceleration spectra. These expressions are then used with the RSA to evaluate the higher-mode effects in the seismic responses of SCHTs. The RSA showed that the second mode dominates the shear force diagram for all cases. Furthermore, the contributions of the first two modes to the base shear and base moment change significantly as the concrete/steel length ratio varies.
(2) A cantilever beam model is developed to predict the inelastic response of the concrete tower that is caused by joint opening and closing under cyclic loading. This modelling approach can be effectively used to estimate the seismic response of SCHTs in the preliminary design stage. The results for the lateral behaviours of SCHTs with (a) no tendons; (b) zero prestressing tendons and (c) initial prestressing tendons are presented, which show that the simple model can produce similar results compared with those of finite element models. One time history analysis under a FF-01 ground motion is presented to demonstrate the computational efficiency of both models. The computing time of the simplified model and FEM are about 2.1 minutes and 9 hours, respectively.
(3) The peak dynamic responses of SCHTs are analysed when subjected to near-fault (NF) and far field (FF) records. For different 0.65%-damped SCHT, the mean peak displacements at the tower top due to the NF set are 15.9% to 24.7% greater than those due to the FF set, but the NF set results in mean peak accelerations and force demands that are similar to those of the FF set. It was also found that the design spectra also underestimate the tower force demands under earthquake ground motions. Increasing the damping from 0.65% to 5% can partially mitigate the differences by decreasing the base shear and base moment by up to 29.2% and 27.5%, respectively. The dynamic amplification factors for the base shear and base moment of SCHTs using the 5% damping are 2.27–2.45 and 1.30–1.45, respectively, under the FF set. Correspondingly, those of the NF set were 2.25–2.47 and 1.37–1.57.

Acknowledgements
[bookmark: _GoBack]The authors gratefully acknowledge the financial support provided by the ‘Fok Ying Tung Education Foundation’ (171066), ‘National Natural Science Foundation of China’ (52008056 and 51822804), ‘China National Postdoctoral Program for Innovative Talents’ (BX20200071), ‘China Postdoctoral Science Foundation’ (2020M673140) and ‘Fundamental Research Funds for the Central Universities’ (2022CDJQY-009).

Reference
[1] [bookmark: _Ref84509770]Kaltschmitt M, Streicher W, Wiese A. Renewable energy: technology, economics and environment. Berlin: Springer; 2007.
[2] [bookmark: _Ref84510365]Blanco M I. The economics of wind energy. Renewable and sustainable energy reviews, 2009, 13(6-7): 1372-1382.
[3] [bookmark: _Ref84509775]Lantz E, Roberts O, Nunemaker J, et al. Increasing wind turbine tower heights: Opportunities and challenges. Report, National Renewable Energy Laboratory, Golden, CO. 2019.
[4] [bookmark: _Ref84509794]Zhao B, Taucer F. Performance of infrastructure during the May 12, 2008 Wenchuan earthquake in China. Journal of Earthquake Engineering, 2010, 14(4): 578-600.
[5] [bookmark: _Ref84510380]Agbayani NA, Vega RE. The rapid evolution of wind turbine tower structural systems: a historical and technical overview. Struct Congress 2012:1201–12. 
[6] [bookmark: _Ref100691410][bookmark: _Ref84512155]Witcher D. Seismic analysis of wind turbines in the time domain. Wind Energy: An International Journal for Progress and Applications in Wind Power Conversion Technology, 2005, 8(1): 81-91.
[7] [bookmark: _Ref100691413]Katsanos E I, Thöns S, Georgakis C T. Wind turbines and seismic hazard: a state-of-the-art review. Wind Energy, 2016, 19(11): 2113-2133.
[8] [bookmark: _Ref100691417]Bazeos N, Hatzigeorgiou G D, Hondros I D, et al. Static, seismic and stability analyses of a prototype wind turbine steel tower. Engineering structures, 2002, 24(8): 1015-1025.
[9] Lavassas I, Nikolaidis G, Zervas P, et al. Analysis and design of the prototype of a steel 1-MW wind turbine tower. Engineering structures, 2003, 25(8): 1097-1106.
[10] [bookmark: _Ref100691423]Prowell I, Veletzos M, Elgamal A, et al. Experimental and numerical seismic response of a 65 kW wind turbine. Journal of Earthquake Engineering, 2009, 13(8): 1172-1190.
[11] [bookmark: _Ref100691428]Harrison, Robert, Hau, Erich, Snel, Herman. Large Wind Turbines Design and Economics, John Wiley & Sons, Ltd., New York, NY, 2000.
[12] Loth E, Steele A, Qin C, et al. Downwind pre‐aligned rotors for extreme‐scale wind turbines. Wind Energy, 2017, 20(7): 1241-1259.
[13] [bookmark: _Ref100691433]McKenna R, vd Leye P O, Fichtner W. Key challenges and prospects for large wind turbines. Renewable and Sustainable Energy Reviews, 2016, 53: 1212-1221.
[14] [bookmark: _Ref100691442]Nuta E, Christopoulos C, Packer J A. Methodology for seismic risk assessment for tubular steel wind turbine towers: application to Canadian seismic environment. Canadian Journal of Civil Engineering, 2011, 38(3): 293-304.
[15] [bookmark: _Ref100691447]Sadowski A J, Camara A, Málaga‐Chuquitaype C, et al. Seismic analysis of a tall metal wind turbine support tower with realistic geometric imperfections. Earthquake Engineering & Structural Dynamics, 2017, 46(2): 201-219.
[16] [bookmark: _Ref100691452]Zhao Z, Dai K, Camara A, et al. Wind turbine tower failure modes under seismic and wind loads. Journal of Performance of Constructed Facilities, 2019, 33(2): 04019015.
[17] Ali A, De Risi R, Sextos A, et al. Seismic vulnerability of offshore wind turbines to pulse and non‐pulse records. Earthquake Engineering & Structural Dynamics, 2020, 49(1): 24-50.
[18] [bookmark: _Ref100691457]Patil A, Jung S, Kwon O S. Structural performance of a parked wind turbine tower subjected to strong ground motions. Engineering Structures, 2016, 120: 92-102.
[19] [bookmark: _Ref100691461]Stamatopoulos G N. Response of a wind turbine subjected to near-fault excitation and comparison with the Greek Aseismic Code provisions. Soil Dynamics and Earthquake Engineering, 2013, 46: 77-84.
[20] [bookmark: _Ref100691475]Sigurðsson G Ö, Rupakhety R, Rahimi S E, et al. Effect of pulse-like near-fault ground motions on utility-scale land-based wind turbines. Bulletin of Earthquake Engineering, 2020, 18(3): 953-968.
[21] [bookmark: _Ref100691480]Asareh M A, Schonberg W, Volz J. Fragility analysis of a 5-MW NREL wind turbine considering aero-elastic and seismic interaction using finite element method. Finite Elements in Analysis and Design, 2016, 120: 57-67.
[22] Asareh M A, Schonberg W, Volz J. Effects of seismic and aerodynamic load interaction on structural dynamic response of multi-megawatt utility scale horizontal axis wind turbines. Renewable energy, 2016, 86: 49-58.
[23] [bookmark: _Ref100691484]Valamanesh V, Myers A T. Aerodynamic damping and seismic response of horizontal axis wind turbine towers. Journal of Structural Engineering. 2014, 140(11):04014090.
[24] [bookmark: _Ref100691938]Tricklebank AH, Halberstadt PH. Concrete towers for onshore and offshore wind farms technical report. Camberley: The concrete Center; 2007.
[25] Quilligan A, O’Connor A, Pakrashi V. Fragility analysis of steel and concrete wind turbine towers. Engineering Structures, 2012; 36:270–82.
[26] Alvarez-Anton L, Koob M, Diaz J, et al. Optimization of a hybrid tower for onshore wind turbines by Building Information Modeling and prefabrication techniques. Visualization in Engineering, 2016, 4(1): 1-9.
[27] [bookmark: _Ref84512158]Huang X, Li B, Zhou X, et al. Geometric optimisation analysis of Steel–Concrete hybrid wind turbine towers. Structures. 2022, 35:1125-1137.
[28] [bookmark: _Ref84517348]Chen J, Li J, Wang D, et al. Seismic response analysis of steel–concrete hybrid wind turbine tower. Journal of Vibration and Control, 2021: 10775463211007592.
[29] [bookmark: _Ref84517324]Wiebe L, Christopoulos C, Tremblay R, et al. Mechanisms to limit higher mode effects in a controlled rocking steel frame. 1: Concept, modelling, and low‐amplitude shake table testing. Earthquake Engineering & Structural Dynamics, 2013, 42(7): 1053-1068.
[30] Wiebe L, Christopoulos C, Tremblay R, et al. Mechanisms to limit higher mode effects in a controlled rocking steel frame. 2: large‐amplitude shake table testing. Earthquake engineering & structural dynamics, 2013, 42(7): 1069-1086.
[31] [bookmark: _Ref84517326]Wiebe L, Christopoulos C. A cantilever beam analogy for quantifying higher mode effects in multistorey buildings. Earthquake Engineering & Structural Dynamics, 2015, 44(11): 1697-1716.
[32] [bookmark: _Ref100853210]Chopra AK. Dynamics of Structures: Theory and Applications to Earthquake Engineering. 4th ed. Prentice Hall: Upper Saddle River, NJ, 2012.
[33] [bookmark: _Ref86496357]ASCE/SEI 7-16, Minimum Design Loads for Buildings and Other Structures, American Society of Civil Engineers, VA, U.S.A, 2016.
[34] [bookmark: _Ref84518287]AISC, Specification for Structural Steel Buildings, AISC 360-16, American Institute of Steel Construction Inc, Chicago, U.S.A, 2016.
[35] [bookmark: _Ref85458992]Nicholson JC. Design of wind turbine tower and foundation systems: optimization approach. M.Sc.thesis. Iowa: University of Iowa, 2011.
[36] [bookmark: _Ref84518328]Somerville P, Smith N, Punyamurthula S, et al. Development of Ground Motion Time Histories for Phase 2 of the FEMA/SAC Steel Project, Rep. No. SAC/BD-97/04 SAC Joint Venture, Richmond, Calif, 1997.
[37] [bookmark: _Ref84518333]Federal Emergency Management Agency (FEMA). Quantification of building performance factors. Washington, D.C.: Report FEMA P695; 2009.
[38] [bookmark: _Ref84518356]Valamanesh V, Myers A T. Aerodynamic damping and seismic response of horizontal axis wind turbine towers. Journal of Structural Engineering, 2014, 140(11): 04014090.
[39] [bookmark: _Ref84518364]IEC 61400-6: Wind energy generation systems- Part6: Tower and foundation design requirements. International Electrotechnical Commission, Geneva, Switzerland. 2020.
[40] [bookmark: _Ref84518372]Dueñas-Osorio L, Basu B. Unavailability of wind turbines due to wind-induced accelerations. Engineering Structures, 2008, 30(4): 885-893.
[41] [bookmark: _Ref84518378]Tremblay R, Léger P, Tu J. Inelastic seismic response of concrete shear walls considering P delta effects. Canadian Journal of Civil Engineering, 2001, 28(4): 640-655.
[42] Panneton M, Léger P, Tremblay R. Inelastic analysis of a reinforced concrete shear wall building according to the National Building Code of Canada 2005. Canadian Journal of Civil Engineering, 2006, 33(7): 854-871.
[43] [bookmark: _Ref84518385]Luu H, Ghorbanirenani I, Leger P, et al. Numerical modeling of slender reinforced concrete shear wall shaking table tests under high-frequency ground motions. Journal of earthquake engineering, 2013, 17(4): 517-542.

29

image2.emf
m

1

m

2

m

3

m

N-1

m

N

=m

top

a

0

a

1

a

2

a

3

a

i-1

a

i

a

N-1

ϕ

i

x

i


oleObject39.bin

image49.emf
1 2 3 4 5 6

0

1

2

3

4

5

   RSA(R=2)   Wind loading (ULS)   FF 

(

 = 5%

)

   NF

(

 = 5%

)

     FF 

(

 = 0.65%

)

    NF 

(

 = 0.65%

)

 

  Case number

M

pb

/



10

11

N



mm


oleObject40.bin

image50.emf
0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4 5

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4 5

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4 5

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4 5

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4 5

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4 5

  FF    NF  

 

 RSA(R=2)  

  

 RSA(R=1)

 

 

Shear force (kN)

x

/

h

 

 

Shear force (kN)

 

 

Shear force (kN)

 

 

Shear force (kN)

x

/

h

 

 

Shear force (kN)

H160m-W190t-LR0.5 H160m-W280t-LR0.8 H160m-W190t-LR0.8

H140m-W190t-LR0.5

H140m-W280t-LR0.8

H140m-W190t-LR0.8

 

 

Shear force (kN)


oleObject41.bin

Microsoft_Visio___2.vsdx
m1
m2
m3
mN-1
mN=mtop
a0
a1
a2
a3
ai-1
ai
aN-1
ϕi

xi



image3.emf
a

i-1

a

i

θ

i

i+1

i-1

θ

θ

a

i+1 τ

i-1

F

i

τ

i+1

τ

i


Microsoft_Visio___3.vsdx
ai-1
ai
θ
i
i+1
i-1
θ
θ
ai+1
τi-1
Fi
τi+1
τi



image4.emf
012345

0.0

0.2

0.4

0.6

0.8

1.0

 

  Spectral Acceleration/g

Period/sec


oleObject1.bin

image5.wmf
1

=()

i

i

x

i

x

mmxdx

-

ò


oleObject2.bin

image6.wmf
10

()()/, , 0

iiiii

kExIxaaxxx

+

==-=


oleObject3.bin

image7.wmf
iii

k

tq

=


oleObject4.bin

image8.wmf
11

11

11

()

iiii

iiiiii

iiii

kkkk

Fm

aaaa

fqqq

-+

-+

--

==-++-

&&


oleObject5.bin

image9.wmf
2

1

1

3

22

2

2111

212

32212

33

42

3

3232

433123

53

44

4

4343

11121

1

1

12

()

=

=()

()

=()

          

()

=()

          

(

NNNN

NNN

N

NN

a

a

aaa

a

aaaa

a

aaaa

a

aa

f

q

f

ff

q

ffq

ffqq

ff

ff

q

ffqqq

ff

ff

q

ffqqq

fff

q

---

--

-

--

=

=-+

-

ü

ï

-+

ï

=-++

ï

-++Þ

ý

ï

ï

=-++

ï

-+++

þ

=-+

M

L

M

12

12

)

N

NN

aa

f

-

--

ì

ï

ï

ï

ï

ï

ï

ï

í

ï

ï

ï

ï

ï

ï

+

ï

î


oleObject6.bin

image10.wmf
22

2

33

2

2

2

44

21

2

N

NN

m

m

m

d

LL

dt

m

f

f

f

f

f

f

f

f

éù

éù

êú

êú

êú

êú

êú

êú

=

êú

êú

êú

êú

êú

êú

êú

êú

êú

êú

ëû

ëû

M

M

M

M


oleObject7.bin

image11.wmf
1

122

2233

1

3344

2211

1

00000

111

()0000

1111

()000

1111

0()00

1111

00()

NNNN

a

aaa

aaaa

L

aaaa

aaaa

----

éù

êú

êú

êú

-+

êú

êú

êú

-+

êú

=

êú

êú

-+

êú

êú

êú

êú

êú

-+

êú

ëû

L

L

L

L

MOOOMM

LL


oleObject8.bin

image12.wmf
3

122

1122

33

24

2233

35

44

3344

2

211

221

1

1

0

00

=

00

000

NNN

NNN

N

N

k

kkk

aaaa

kk

kk

aaaa

kk

kk

aaaa

L

kkk

aaa

k

a

---

---

-

-

éù

-+-

êú

êú

êú

+

êú

êú

êú

-+

êú

êú

êú

êú

êú

êú

êú

-+

êú

êú

êú

-

êú

ëû

MMMOOO

MMMMOO

LL

LL


oleObject9.bin

image13.wmf
22

1

33

1

1

44

2

2

21

1

   with    =

N

NN

m

m

AALL

m

ff

ff

ff

w

ff

-

-

-

éùéù

êúêú

éù

êúêú

êú

êúêú

êú

=-

êúêú

êú

êúêú

êú

êúêú

êú

ëû

êúêú

êúêú

ëûëû

MM

O

MM


oleObject10.bin

image14.wmf
=()

n

ninniii

fAmx

f

G


oleObject11.bin

image15.wmf
1

2

1

()

=

()

n

n

N

iii

i

n

N

iii

i

mx

mx

f

f

=

=

G

å

å


oleObject12.bin

image16.wmf
2

e

bb

1

()

n

n

SFI

VV

R

=

´

=

å


oleObject13.bin

image17.wmf
2

e

bb

1

()

n

n

SFI

MM

R

=

´

=

å


oleObject14.bin

image18.wmf
b

1

N

nni

i

Vf

=

=

å


oleObject15.bin

image19.wmf
b

1

N

nnii

i

Mfx

=

=

å


oleObject16.bin

image20.wmf
b

b

1

n

v

n

n

V

r

V

=

=

å


oleObject17.bin

image21.wmf
b

b

1

  

n

M

n

n

M

r

M

=

=

å


oleObject18.bin

image22.emf
0.0

0.2

0.4

0.6

0.8

1.0

-1.0-0.50.00.51.0

Mode 4

Mode 3 Mode 2

 H140m-W190t-LR0.8  H140m-W280t-LR0.8  H160m-W190t-LR0.8  H140m-W190t-LR0.5

 

Mode 1

x

/

L

-1.0-0.50.00.51.0

0.0

0.2

0.4

0.6

0.8

1.0

-1.0-0.50.00.51.0

0.0

0.2

0.4

0.6

0.8

1.0

-1.0-0.50.00.51.0

0.0

0.2

0.4

0.6

0.8

1.0


oleObject19.bin

image23.emf
1 2 3 4 5

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

1 2 3 4 5

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

1 2 3 4 5

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

1 2 3 4 5

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

1 2 3 4 5

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

1 2 3 4 5

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

 

 

r

v

Mode number

 H140m-W190t-LR0.8

 H140m-W280t-LR0.8

 H160m-W190t-LR0.8

 H160m-W280t-LR0.8

 

Mode number

 

H140m-W190t-LR0.5

 

H160m-W190t-LR0.5

 

 

Mode number

 

 

r

M

Mode number

 

 

Mode number

 

 

Mode number


oleObject20.bin

image24.emf
0.0

0.2

0.4

0.6

0.8

1.0

-6 -3 0 3 6

Mode 4

Mode 3 Mode 2

 H140m-W190t-LR0.8  H140m-W280t-LR0.8  H160m-W190t-LR0.8  H140m-W190t-LR0.5

 

Mode 1

x

/

L

-6 -3 0 3 6

0.0

0.2

0.4

0.6

0.8

1.0

-6 -3 0 3 6

0.0

0.2

0.4

0.6

0.8

1.0

-6 -3 0 3 6

0.0

0.2

0.4

0.6

0.8

1.0


oleObject21.bin

image25.emf
0.0

0.2

0.4

0.6

0.8

1.0

-16 -8 0 8 16

Mode 4

Mode 3 Mode 2

 H140m-W190t-LR0.8  H140m-W280t-LR0.8  H160m-W190t-LR0.8  H140m-W190t-LR0.5

 

Mode 1

x

/

L

-16 -8 0 8 16

0.0

0.2

0.4

0.6

0.8

1.0

-16 -8 0 8 16

0.0

0.2

0.4

0.6

0.8

1.0

-16 -8 0 8 16

0.0

0.2

0.4

0.6

0.8

1.0


oleObject22.bin

image26.emf
1 2 3 4 5 6

0

1

2

3

 RSA (R=2)

 Wind loading (ULS)

 

  Case number

Base shear/



10

6

N

(a)


oleObject23.bin

image27.emf
1 2 3 4 5 6

0

1

2

3

(b)

 RSA (R=2)

 Wind loading (ULS)

 

  Case number

Base moment/



10

11

N



mm


oleObject24.bin

image28.emf
Local contact

Displacement 

of force

segments causing 

elongation in PT tendons

Full contact

Conceptual drawing,

PT strands may not be central

Gap opening


Microsoft_Visio___4.vsdx
Local contact
Displacement
of force
segments causing
elongation in PT tendons
Full contact
Conceptual drawing,
PT strands may not be central
Gap opening



image29.emf
Compression-

only element

without posttensioning with posttensioning Interface joint of beam model

Rigid element

Beam element

Cross section

Tendons Solid element


Microsoft_Visio___5.vsdx
Compression-only element
without posttensioning
with posttensioning
Interface joint of beam model
Rigid element
Beam element
Cross section
Tendons
Solid element



image30.emf
Steel tower

Concrete tower

Adapter

Interface joints

Concrete tower

Steel tower

Adapter

Posttensioning 

tendons

Interface joint

m

i

E

c

I

i

Posttensioning 

tendons


Microsoft_Visio___6.vsdx
Steel tower
Concrete tower
Adapter
Interface joints
Concrete tower
Steel tower
Adapter
Posttensioning tendons
Interface joint
mi
EcIi
Posttensioning tendons



image31.wmf
rrr

ccc

8

()1     when 0.2

9

PMP

PMP

+£³

，


oleObject25.bin

image32.wmf
rrr

cc

1       when 0.2

2

c

PMP

PMP

+£<

，


oleObject26.bin

image33.emf
0.0 0.51.0 1.52.0

0.0

0.1

0.2

0.3

0.4

0.5

without tendons

 ABAQUS

 OpenSees

 

  Base shear/



106

N

Top drift/%


oleObject27.bin

image34.emf
0.0 0.51.0 1.52.0

0.0

0.1

0.2

0.3

0.4

0.5

with tendons (F

pt0

=0MN)

 ABAQUS

 OpenSees

 

  Base shear/



106

N

Top drift/%


oleObject28.bin

image35.emf
0.0 0.51.0 1.52.0

0.0

0.5

1.0

1.5

2.0

with tendons (F

pt0

=42.2MN)

 ABAQUS

 OpenSees

 

  Base shear/



106

N

Roof drift/%


oleObject29.bin

image36.png
U, Magnitude
+3.2178+03
+219496+03
+2.681e+03
+24138+03
+21452+03
+118778+03
+116098+03
+113408+03
+110726+03
+310438+02
+5.3628+02
+21681e+02
+0.0008+00

¥ ODB: 20210907.0db  Abagus/Standard SDEXPERIENCE R2019%  Sat Sep 11 15:30:34 777777 2021
Step: Step-2
Z Increment  21: Step Time = 1,000

Primary Var: U, Magnitude
Deformed var: U Deformation Scale Factor: +5.000+00




image37.png
U, Magnitude
+3.2048+03
+219376+03
+21670e+03
+214038+03
+21360+03
+113608+03
+116028+03
+113350+03
+110682+03
+810118+02
+5.3418+02
+216708+02
+0.0008+00

¥ ODB: 20210906.0d  Abaqus/Standard SDEXPERIENCE R2019x  Fri Sep 10 20:18:29 777777 2021
Step: Step-2
Z Increment  21: Step Time = 1,000

Primary Var: U, Magnitude
Deformed var: U Deformation Scale Factor: +5.000+00




image1.emf
Concrete segment

Adapter ring

Interface joint

Wind turbine

Concrete segment

Adapter ring

Steel tower


image38.png
U, Magnitude
+3.2028+03
+219352+03
+2.6682+03
+21401e+03
+21348+03
+113682+03
+116018+03
+113348+03
+110672+03
+3.0048+02
+5.3360+02
+2.5688+02
+0.0002+00

¥ ODB: 20210908.0db  Abaqus/Standard SDEXPERIENCE R2019x  Wed Sep 08 10:05:47 777777 2021
Step: Step-2
Z Increment  21: Step Time = 1,000

Primary Var: U, Magnitude
Deformed var: U Deformation Scale Factor: +5.000+00




image39.emf
012345

0

1

2

3

4

5

 

  Scaled Single Spectrum

 Average of Scaled Motions

 Design Spectrum for DBE

Spectral Acceleration/g

Period/sec


oleObject30.bin

image40.emf
012345

0

1

2

3

4

 

  Scaled Single Spectrum

 Average of scaled records

 Design Spectrum for DBE

Spectral acceleration/g

Period/sec


oleObject31.bin

image41.emf
0 10 20 30 40 50

-0.5

-0.4

-0.3

-0.2

-0.1

0.0

0.1

0.2

0.3

0.4

0.5

 

  Ground motion acceleration

/g

Time/s


oleObject32.bin

image42.emf
0 10 20 30 40 50

-1.0

-0.8

-0.6

-0.4

-0.2

0.0

0.2

0.4

0.6

0.8

1.0

 Simplified model

 FEM

 

  Top displacement

/m

Time/s


oleObject33.bin

image43.emf
0 10 20 30 40 50

-0.6

-0.4

-0.2

0.0

0.2

0.4

0.6

 Simplified model

 FEM

 

  Top tower acceleration

/g

Time/s


Microsoft_Visio___1.vsdx
Concrete segment
Steel tower
Adapter ring
Posttensioning tendons
Interface joint
Wind turbine
Concrete segment
Adapter ring
Steel tower



oleObject34.bin

image44.emf
0 10 20 30 40 50

-5

-4

-3

-2

-1

0

1

2

3

4

5

 Simplified model

 FEM

 

  Base shear

/



10

6

N

Time/s


oleObject35.bin

image45.emf
0 10 20 30 40 50

-2.0

-1.6

-1.2

-0.8

-0.4

0.0

0.4

0.8

1.2

1.6

2.0

 Simplified model

 FEM

 

  Base moment/



10

11

N

mm

Time/s


oleObject36.bin

image46.emf
0.0

0.2

0.4

0.6

0.8

1.0

0 500 1000 1500

0.0

0.2

0.4

0.6

0.8

1.0

0 500 1000 1500

0.0

0.2

0.4

0.6

0.8

1.0

0 500 1000 1500

0.0

0.2

0.4

0.6

0.8

1.0

0 500 1000 1500

0.0

0.2

0.4

0.6

0.8

1.0

0 500 1000 1500

0.0

0.2

0.4

0.6

0.8

1.0

0 500 1000 1500

  FF

(

=0.65%

)

    NF

(

=0.65%

)

    FF

(

=5%

)

    NF

(

=5%

)

   

 RSA

(R

=2)

 

 

Displacement (mm)

x

/

h

 

 

Displacement (mm)

 

 

Displacement (mm)

 

 

Displacement (mm)

x

/

h

 

 

Displacement (mm)

H160m-W190t-LR0.5 H160m-W280t-LR0.8 H160m-W190t-LR0.8

H140m-W190t-LR0.5

H140m-W280t-LR0.8

H140m-W190t-LR0.8

 

 

Displacement (mm)


oleObject37.bin

image47.emf
0.0

0.2

0.4

0.6

0.8

1.0

0.0 0.5 1.0 1.5 2.0

0.0

0.2

0.4

0.6

0.8

1.0

0.0 0.5 1.0 1.5 2.0

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4

0.0

0.2

0.4

0.6

0.8

1.0

0.0 0.5 1.0 1.5 2.0

0.0

0.2

0.4

0.6

0.8

1.0

0.0 0.5 1.0 1.5 2.0

0.0

0.2

0.4

0.6

0.8

1.0

0 1 2 3 4

  FF

(

=0.65%

)

    NF

(

=0.65%

)

    FF

(

=5%

)

    NF

(

=5%

)

 

 

Absolute acceleration (g)

x

/

h

 

 

Absolute acceleration (g)

 

 

Absolute acceleration (g)

 

 

Absolute acceleration (g)

x

/

h

 

 

Absolute acceleration (g)

H160m-W190t-LR0.5 H160m-W280t-LR0.8 H160m-W190t-LR0.8

H140m-W190t-LR0.5

H140m-W280t-LR0.8

H140m-W190t-LR0.8

 

 

Absolute acceleration (g)


oleObject38.bin

image48.emf
1 2 3 4 5 6

0

2

4

6

8

10

 RSA(R=2)    Wind loading (ULS)    FF 

(

 = 5%

)

 NF

(

 = 5%

)

    FF 

(

 = 0.65%

)

    NF 

(

 = 0.65%

)

 

  Case number

V

pb

/



10

6

N


